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Abstract 

The purpose of this study of high-performance fiber-reinforced 

cementitious composite (HPFRCC) reinforced with glass fiber reinforced 

polymer (GFRP) bars was to investigate its use as link slabs to replace the 

expansion joints commonly found in bridge decks. 

Numerous small scale test specimens and a full scale specimen test were 

conducted.  The small scale test specimens consisted of 3 inch by 3 inch by 

3 foot long and 6 inch by 3 inch by 3 foot long HPFRCC rectangular cuboids 

with single GFRP bars placed in the center of the specimens.  These 

specimens were tested in direct tension until failure to determine the 

maximum strain while maintaining uniform micro-cracking.  Following the 

direct tension tests, the specimens were subjected to cyclic loading to 

determine the reinforcement bar’s and concrete’s ability to re-contract, 

durability, and determine its resultant equilibrium state. 

After the small scale tests were completed, a full scale bridge expansion 

joint specimen was constructed to test the strain capabilities of the HPFRCC 

as a link slab.  The full scale bridge expansion joint specimen emulated an 

expansion joint condition of a composite steel girder to concrete deck slab 

section.  The link slab was 90 inches wide by 3 inches thick with an 

unbonded length of 6 feet and was recessed into the top 3 inches of a 9 inch 

thick deck slab.  #3 GFRP reinforcement bars were placed at mid-depth of 

the link slab at 6 inches on center and the ends were cast in to the cast-in-

place concrete deck.  The slab was then subjected to cyclic axial strains in 



 

3 

 

both tension and compression and later in direct tension until failure.  The 

link slab’s strain capabilities and distribution of microcracking were the 

primary focus of the full scale test. 

It was found that the cast-in-place link slab had the advantage of providing 

good continuity with the bridge deck, but had no compressive strain capacity. 

Microcracking was observed in the specimen, however, numerous localized 

cracks appeared throughout the entire specimen for various reasons.  Shear 

lag caused localized diagonal cracks at the top of the slab in the transition 

areas between the bonded and unbonded zones, and numerous areas of 

localized debonding of the GFRP rebar in the HPFRCC allowing cracks to 

localize over the debonded zones. 

A different HPFRCC mix design in combination with different GFRP 

reinforcement bars, resembling typical steel reinforcement bars, may better 

control crack localization. The concept shows promise, however, further 

study of the materials and their performance issues is required.  The link slab 

may be a suitable replacement for expansion joints, but due to their high 

force demands to achieve such deformations, not all bridges may be eligible 

for their application at this time. 
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1 Introduction 

 

1.1  Background 

 

Many existing bridges and newly designed bridges on public roads and 

highways are constructed out of combinations of reinforced concrete and 

steel for the superstructures and substructures, however, the commonality is 

that the majority of the bridge decks are of reinforced concrete.  Regardless 

of the differing materials, one common issue is the deterioration around and 

below deck expansion and contraction joints due to the penetration of media 

through damaged and deteriorated mechanical joints and seals as shown in 

Figure 1-1. 

 

   

Figure 1-1: Typical deteriorated concrete bridge deck mechanical expansion 

joints and seals 
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There are numerous types of deck expansion joints on the market to 

choose from, such as elastomeric compression seal types, and with proper 

maintenance, are very effective in allowing thermal expansion and 

contraction, shrinkage and creep, service load movement, and preventing 

debris and water from penetrating components of superstructures and 

substructures below.  However, without regularly scheduled maintenance, 

repair, and/or replacement, debris can accumulate on or in the joints and 

prevent full mobility of the joint as intended or the joint material may 

delaminate or rupture allowing debris and water to penetrate through.  Over 

extended periods of exposure, the joint materials lose their ductility.  

Required maintenance, repair, and replacement of the expansion joints are 

relatively costly and are required frequently and as a result, the expansion 

joints are often not maintained as needed. 

 

The service lives of the bridges can be jeopardized and shortened due to 

the premature corrosion of structural steel elements and components or 

penetration through the reinforced concrete to the reinforcing steel causing 

spalls as shown in Figure 1-2.  As reported in the 2013 Report Card for 

America’s Infrastructure by the American Society of Civil Engineers, 

America’s bridges were given a C+ grade.  With decreasing budgets for 

infrastructure maintenance, repair, and replacement, it is the intent for this 

research to possibly find a new, durable replacement joint to increase the 
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overall service lives of bridges in general by decreasing the need for costly, 

repetitive maintenance. 

 

   

Figure 1-2: Typical bridge bent with deterioration to the superstructure’s steel 

girders and corrosion of the reinforcing steel in the bent cap causing 

delaminating and spalling of the concrete (left) and heavily corroded bridge 

bearing plate and anchor bolts (right) 

 

1.2  Jointless Bridge Decks 

 

Reducing future maintenance of bridge joints in the construction of new 

bridges can be accomplished by designing the bridges with integral piers and 

abutments that can accommodate the thermal, creep, and shrinkage in order 

to remove all of the joints on the superstructure and relocating the joints, if 

required, to the ends of the abutments or at approach slabs where 

maintenance is less critical of an issue, if at all. 
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As the majority of the nation’s bridges are already existing, replacing of 

the moderately deteriorated bridges, in a condition above those that are 

classified as structurally deficient, is not economically possible nor realistic.  

Link slabs could be a cost effective replacement to mechanical bridge 

expansion joints in existing bridges. 

 

 

Figure 1-3: Comparison between a typical expansion joint and a link slab 

 

Link slabs are relatively short slab sections of high-performance fiber-

reinforced cementitious composites (HPFRCC) with longitudinally placed 

glass fiber reinforced polymer (GFRP) reinforcement bars that essentially, 

link, two adjacent concrete slabs together as shown in Figure 1-3.  They are 

designed to deform through the development of multiple microscopic cracks 

as opposed to the rupture of concrete with large localized cracks.  The 

objectives of the link slabs are to be able to elongate and contract, as 
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required, to satisfy the bridge joint’s deformation requirements, axially, and 

flexurally, while maintaining fairly uniform microcracking and avoiding 

localized cracks from propagating. 

 

1.3  Case Study 

 

The Lihue Mill Bridge in Lihue, Kauai, Hawaii is an existing, 305 foot long, 

six span, non-composite steel girder bridge with a reinforced concrete deck 

and both steel and reinforced concrete bents that was built in 1936 as shown 

in Figure 1-4.  There are a total of four construction/contraction joints, two at 

the abutments and two at bent numbers 2 and 4.  Bents 1, 3, and 5 have 

expansion joints.  Due to lack of maintenance of the various joints on the 

bridge, there is widespread corrosion of the bent cap girders and columns, 

steel girders, bearing and sole plates, rocker and roller bearings, end 

diaphragms, anchor rods, connection plates and angles, and rivets as shown 

in Figures 1-5 through 1-9.  Lihue Mill Bridge is a prime example for the 

potential dangers of neglecting the necessary maintenance. 

 

The bridge has been commissioned by the Hawaii Department of 

Transportation to be widened, rehabilitated, and retrofitted to meet the 

current AASHTO LRFD Bridge Design Specifications.  For the link slab 

experiments, the details and dimensions from this bridge were used as the 

basis for this case study. 
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Figure 1-4: Lihue Mill Bridge - Side view (left) and underside view (right) 

 

Figure 1-5: Lihue Mill Bridge - Typical corrosion at abutments at girder end 

bearings and diaphragms (left) and bearing and sole plates (right) 

  

Figure 1-6: Lihue Mill Bridge – Bent 3 expansion joint configuration (left) and 

corrosion and debris build up within double bent cap (right) 
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Figure 1-7: Lihue Mill Bridge – Bents 2 and 4 bent cap girder to exterior 

girder connection with heavy corrosion of rivets and connection angles with 

significant section loss (left) and corrosion of substructure below (right) 

 

  

Figure 1-8: Lihue Mill Bridge – Bent 1 pin and rocker bearing connections 

(left) and Bent 5 pin and roller bearing connections (right) 
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Figure 1-9: Lihue Mill Bridge – Typical corrosion of bearing and sole plates at 

Bents 1 and 5 (left and right) 

 

Referring to the AASHTO LRFD Bridge Design Specifications section 

9.7.2.4, the minimum depth of deck slabs is 7 inches and the minimum core 

depth of deck slabs is 4 inches.  The 7 inch depth assumes a top cover of 2 

inches and a bottom cover of 1 inch, providing for the 4 inch core.  

Superseding those requirements are the State of Hawaii Department of 

Transportation Design Criteria for Bridges and Structures, March 1, 2013, 

section 2.13.  The minimum cover for the top deck slab reinforcing steel 

measured perpendicular to the concrete surface is 2.5 inches and the 

minimum cover for the bottom deck slab reinforcing measured perpendicular 

to the concrete surface is 1.5 inches, therefore, the total minimum depth for 

deck slabs in Hawaii bridges is 8 inches. 

 

Lihue Mill Bridge’s abutments and concrete bents are in satisfactory 

condition and currently have sufficient strength and extreme event capacities 
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for gravity loading and seismic loading, respectively, and are to remain in 

place.  They do not have sufficient ductility for full depth link slabs.  The 

forces required to overcome the modulus of rupture of the HPFRCC deck 

sections in tension are significantly higher than the thermal, shrinkage, and 

creep forces can induce.  The end girder connections at bents 2, 3, and 4 

are essentially pinned and by adding a full depth HPFRCC section would, 

inherently, try to create a composite section over a negative moment region 

where one is not wanted.  Therefore, the objective of this research is to 

design a partial depth link slab that is only three inches thick and contains 

only one row of reinforcing.  The intent is to minimize the required axial 

forces and create as small of a section as possible and practicable to be able 

to rupture the HPFRCC in tension due to thermal contraction and to allow for 

rotational deformations and avoid excessive accumulation of moments within 

the sections at bents 2, 3, and 4 as shown in Figure 1-10. 

 

 

Figure 1-10: Comparison between a partial and a full depth link slab 
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1.4  Previous Research 

 

Numerous studies have been performed on the durability of concrete and 

the general consensus is that the durability is generally increased when the 

size and quantity of cracks in the concrete are reduced and minimized, 

respectively.  Cracks create pathways and allow chlorides and other media to 

penetrate through the concrete to the reinforcing, causing corrosion to the 

steel and possible delamination and spalling of the concrete.  ACI 222 set 

limits for crack widths of 0.33 mm for exterior use and ACI 224 has limits that 

exceed those for corrosive environments.   

 

Ahmed and Mihashi (2007) researched the permeability characteristics of 

cracked HPFRCC and found that under tensile strains of up to 1.5%, the 

HPFRCC was able to maintain a fairly consistent level of low permeability.  

The HPFRCC displayed closely spaced crack widths of about 0.06 mm which 

was much less than typical concrete that varied between 0.15 mm and 2.5 

mm. 

 

The gauge length of the reinforcement fiber was found to be independent 

of the deformation of the HPFRCC by Li and Fischer (2003).  The HPFRCC 

mixtures used consisted of cement, sand, fly ash, water, 1.5%-2% of 

polymeric fibers such as polyethylene, and other additives.  Their mixes 

produced ultimate tensile stresses ranging between 5 MPa and 8 MPa while 
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reaching tensile strains of 3% to 5%.  The polyethylene fibers were found to 

resist tensile forces in HPFRCC through their frictional bonds and continued 

to resist while debonding until pulled out. 

 

A link slab test was performed by Li et al. (2003) using a mix, proportioned 

by weight, of 1.0 cement, 0.53 water, 0.8 sand, 1.2 type F fly ash, and 0.03 

super-plasticizer.  The polyethylene fibers amounted to 2% of the volume of 

the mix.  The HPFRCC mix resulted in a compressive strength of about 

8,700 psi and a tensile strain capacity of 3% at 28 days.  The link slab was 

designed for full negative moment at the bent therefore used heavy steel 

reinforcement.  The resulting link slab attracted large tensile forces as the 

joint attempted to contract. 
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2 Materials 

 

2.1  High-Performance Fiber-Reinforced Cementitious Composite (HPFRCC) 

 

High-performance fiber-reinforced cementitious composites (HPFRCC) 

are fiber-reinforced cement-based composites that have the ability to strain 

harden under flexural and tensile loading before rupturing.  As opposed to 

typical concrete which has the tendency to fail in tension in a brittle manner 

through localized crack propagation, the HPFRCCs undergo strain hardening 

through the development of multiple microscopic cracks.  With numerous, 

small cracks reducing the amounts of fluids and debris able to penetrate the 

substrate, the effective corrosion resistance of the HPFRCC is increased. 

 

Generally, HPFRCCs contain cement, water, polymeric fibers, a 

superplasticizer, and fine aggregates, such as silica sand.  Coarse 

aggregates are excluded from HPFRCC mixes as they create voids which 

the fibers cannot bridge should a crack propagate around the surface of an 

aggregate.  The fibers in HPFRCC mixes prevent the increase in crack 

widths by fiber bridging.  The fiber bridging is the act of numerous fibers 

spanning a developing crack and utilizing the tensile strength and the 

embedded of the fibers to limit the crack width from further expansion.  The 

strain hardening effect occurs when the bridging stress between the fibers in 

a developing crack is greater than the stress required to reach the 
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HPFRCC’s modulus of rupture, or initial cracking.  This allows for numerous 

cracks to develop transversely to the direction the tensile forces are being 

applied and redistribution of the tensile forces to the fibers throughout the 

entire member. 

 

The HPFRCC mix used in tests contained Type I/II Portland Cement 

(Figure 2-1), Class F Fly Ash (Figure 2-1), #90 Silica Sand (Figure 2-2), 

Polyethylene Fibers (Figure 2-2), Polycarboxylic Ether super-plasticizer 

(Figure 2-3), Methyl Cellulose (Figure 2-3), and water.  The mix design is as 

shown in Table 1.  Preliminary batches of the HPFRCC mixes were done in 

conventional one cubic foot drum mixers, however, without any large 

aggregates in the mix to break up the finer material clumps, the sand, 

cement, and fly ash formed a paste that adhered to the fins within the drum.  

The intended HPFRCC mix consistency was similar to that of a cake batter 

as shown in Figure 2-4.  In order to achieve the required consistency and a 

better distribution of the materials, a 40-quart Hobart mixer with a flat beater 

paddle was used as shown in Figure 2-4. 
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Figure 2-1: Type I/II Portland Cement (left) and Class F Fly Ash (right) 

 

  

Figure 2-2: #90 Silica Sand (left) and Polyethylene Fibers (right) 

 

  

Figure 2-3: Polycarboxylic Ether (left), Methyl Cellulose (right) 
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Figure 2-4: Hobart Mixer (left) and HPFRCC mixes (right) 

 

Material Percentage by Weight 

Type I/II Portland Cement 27.80% 

Class F Fly Ash 33.33% 

#90 Silica Sand 22.25% 

Polyethylene Fibers 1.23% 

Polycarboxylic Ether 0.36% 

Methyl Cellulose 0.03% 

Water 15.00% 

Table 1: HPFRCC Mix 
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2.2  Glass Fiber Reinforced Polymer (GFRP) Reinforcement Bars 

 

Glass Fiber Reinforced Polymer (GFRP) reinforcement bars were 

considered for the experiments because of their lower modulus of elasticity 

and their higher tensile strengths.  As shown in Figure 2-5 below, the 

modulus of elasticity for the GFRP reinforcement bars is 5,920 ksi, as 

compared to 29,000 ksi for steel, which is approximately 4.9 times lower.  

The stress-strain behavior of the GFRP reinforcing also differs from steel 

reinforcing as it is linear elastic until rupture.  Another aspect of GFRP 

behavior is that it does not corrode and can enhance the HPFRCC’s 

durability, however, the GFRP bars do experience a loss of strength with 

time, which must be accounted for in design. 

 

 

Figure 2-5: Aslan 100 GFRP Rebar Typical Stress vs Strain Curve 
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Referring to the Aslan 100 GFRP rebars, the #2, #3, and #4 GFRP 

reinforcement bars have cross sectional areas of 0.0515 square inches, 

0.1307 square inches, and 0.2245 square inches with guaranteed tensile 

strengths of 120 ksi, 110 ksi, and 100 ksi, respectively.  The guaranteed 

tensile strength is defined as the mean tensile strength of a given production 

lot minus three times the standard deviation as defined in ACI 440.1R. 

For the purposes of the experiments conducted, the GFRP reinforcement 

bar’s lower modulus of elasticity and higher tensile strains allowed for higher 

deformations and strains in the test beams and link slab.  This would help in 

reducing the minimum required design length of the link slab. 

 

 

Figure 2-6: Typical Aslan 100 GFRP reinforcement bars 
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3 Small Scale Tests 

 

3.1  Approach 

 

The small scale test specimens consisted of 3 inch by 3 inch by 3 foot 

long and 6 inch by 3 inch by 3 foot long HPFRCC rectangular cuboids with 

single #2 or #3 GFRP reinforcement bars placed in the center of the 

specimens as shown in Figure 3-1.  The GFRP reinforcement bars extended 

approximately 8 inches beyond the ends of the HPFRCC rectangular cuboid 

section and were encased in epoxy filled 0.75 inch square by .0625 inch thick 

wall steel tubes as shown in Figure 3-2.  The steel tubes were to create 

relatively hard, parallel, flat surfaces to allow the MTS hydraulic wedge grips 

to compress on and hold the GFRP bars without causing any crushing or 

localized damage to the bars themselves.  The interior walls of the tubes 

were roughened and perforated to allow for the epoxy to fill the angulated 

surfaces and add sufficient shear resistance to the epoxy-steel faying 

surfaces. 

 

A number of 6 inch diameter by 12 inch long cylinders of the HPFRCC 

were cast and tested in compression until failure in the Riehle Compression 

and Tension Tester.  The average 28-day compressive strength of the 

HPFRCC cylinders,    , was calculated to be 7.53 ksi which also satisfies the 
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AASHTO LRFD Bridge Design Specifications sections 5.4.2.1 and 9.7.2.4 

requiring minimum compressive strengths of 4 ksi for decks. 

 

Referring to the AASHTO LRFD Bridge Design Specifications section 

C5.4.2.7, for normal weight concrete with specified compressive strengths up 

to 10 ksi, the direct tensile strength may be estimated by the following 

equation: 

 

       √    

 

Where     is the compressive strength of the cementitious composite in 

ksi.  Using the specified formula, the direct tensile strength of the 

HPFRCC,   , was estimated to be 0.63 ksi. 

 

Various bar sizes cast into the different concrete sections were considered 

to find the lowest GFRP reinforcement to HPFRCC ratio while trying to 

maintain uniform micro cracking and avoid inadvertent tensile rupture of the 

GRFP reinforcement bar prior to the tensile rupture of the HPFRCC section.  

The 3 inch by 3 inch and 3 inch by 6 inch specimens maximum tensile forces 

were calculated to be 5.67 kips and 11.34 kips, respectively.  The #2, #3, and 

#4 GFRP reinforcement bars have cross sectional areas of 0.0515 square 

inches, 0.1307 square inches, and 0.2245 square inches with guaranteed 

tensile strengths of 120 ksi, 110 ksi, and 100 ksi, respectively.  The 
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guaranteed tensile forces for the #2, #3, and #4 GFRP reinforcement bars 

were then calculated to be 6.18 kips, 14.38 kips, and 22.45 kips, 

respectively. 

 

   

Figure 3-1: 3” x 3” specimen (left) and 6” x 3” specimen (right) 
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Figure 3-2: Typical view of GFRP bars epoxied into a square steel tube and 

placed into the MTS hydraulic wedge grips (left and right) 

 

The calculated maximum tensile force of the #3 GFRP reinforcement was 

14.38 kips which is greater than the 3 inch by 6 inch section of HPFRCC 

which was calculated at 11.34 kips, therefore, the use of the #4 GFRP 

reinforcement bars were removed from the testing.  The calculated maximum 

tensile force of the #2 GFRP reinforcement was 6.18 kips which is less than 

the 3 inch by 6 inch section of HPFRCC which was calculated at 11.34 kips, 

therefore, the use of the #2 GFRP reinforcement bars were removed from 

the 3 inch by 6 inch section testing.  The tests conducted were #2 GFRP 

reinforcement bars in 3 inch by 3 inch HPFRCC sections and #3 GFRP 

reinforcement bars in 3 inch by 6 inch HPFRCC sections. 

 

With the GFRP reinforcement bar’s tensile modulus of elasticity at 5,920 

ksi, the maximum calculated strain on the #2 and #3 bars are 0.0203 and 

0.0186.  For preliminary tests, the strain on the GFRP reinforcement bars 



 

29 

 

was limited to approximately a fourth of the maximum strain which was 

calculated to be 0.005. 

 

Based on the mix design as shown in section 2.1, the HPFRCC unit 

weight was calculated to be 0.132 kcf.  Referring to the AASHTO LRFD 

Bridge Design Specifications section 5.4.2.4, for concrete with specified 

weights between 0.090 kcf and 0.155 kcf and compressive strengths up to 

15.0 ksi, the modulus of elasticity may be taken as: 

 

            
   √    

 

The correction factor for the source of aggregate,   , is 0.85 per the State 

of Hawaii Department of Transportation Design Criteria for Bridges and 

Structures, March 1, 2013, section 2.08.  The unit weight of the cementitious 

composite,   , is in kcf, and the compressive strength,    , is in ksi.  The 

HPFRCC modulus of elasticity,   , was calculated to be 3,691 ksi. 

 

3.2  Measurement Devices 

 

In order to measure the displacements in the small scale test specimens, 

adjustable measuring frames were constructed out of steel tubing as shown 

in Figure 3-3.  To account for any shear lag or end splitting and using an 

approximate 30 degree skew from the bar to the edge of the HPFRCC side 
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wall, the 6 inch ends were neglected. The measuring frames had clamping 

ends made from roughened tubes, threaded rods, and wing nuts that were 

set at 24 inches apart to capture only the fully engaged section of the GFRP 

reinforcement bar in the HPFRCC.  In the longitudinal direction, steel bars 

and tubes sleeved into one another to allow for only axial elongation in one 

direction and to which two linear variable displacement transducers (LVDT) 

could be mounted to as shown in Figure 3-4.  The sleeves were greased and 

relatively smooth therefore, any frictional forces accumulated were deemed 

negligible. 

 

   

Figure 3-3: Measuring frames clamped around test specimens (left and right) 
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Figure 3-4: LVDTs mounted to steel tubes with set screws (left and right) 

 

Two LVDTs were placed on opposing sides of the specimens to verify 

near equal and/or minor differential strains throughout the HPFRCC section 

due to the construction tolerances and possible eccentric placement of the 

GFRP reinforcement bars within the HPFRCC specimens.  The values from 

the two LVDTs were averaged in the cyclic and stress versus strain plots. 

 

 The entire assemblies were then placed in the MTS test frame and the 

steel tubes were clamped into the hydraulic wedge grips as shown in Figure 

3-5. 
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Figure 3-5: MTS axial loading machine  

 

3.3  Objective 

 

The purpose of the small scale tests was to determine the maximum strain 

that could be reached while maintaining uniform micro-cracking in the 

HPFRCC under direct tension loading until failure of the bar or composite 

section.  If at least 0.5% strain could be reached, the next set of tests were 

conducted to determine the GFRP reinforcement bar’s and HPFRCC’s ability 
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to re-contract back to its original length, determine its resultant equilibrium 

state, and durability when subjected to cyclic loading. 

 

3.4  Analysis 

 

3.4.1 Specimens with #2 GFRP Bars 

 

Three specimens of the #2 GFRP Rebar in the three inch by three inch 

HPFRCC sections were tested until failure.  The MTS actuator loads versus 

the extensometer displacements are shown in Figures 3-6, 3-7, and 3-8.  

Prior to the tensile rupture of the HPFRCC, almost no deflection was 

observed until the loading reached approximately 4 kips to 4.5 kips, which 

calculates to about 0.44 ksi to 0.50 ksi of tensile stress in the HPFRCC, 

respectively.  The direct tensile strengths of the HPFRCC were 20% to 30% 

lower than the estimated values per the AASHTO LRFD formula. 

 

After initial cracking of the composite sections, relatively small additional 

loads resulted in fairly consistent cracking along the entire lengths of the 

specimens.  Some minor localized cracks developed in the early stages of 

the cracking in some of the specimens probably due to the lower construction 

tolerances and resultant internal eccentricities and partial de-bonding 

between the GFRP reinforcement bar and the HPFRCC.  At approximately 

83% of the tensile strength of the GFRP reinforcement bars, localized cracks 
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developed and tensile resistance of the HPFRCC was lost as shown in 

Figure 3-9. 

 

Rupture of the GFRP reinforcement bars occurred between 0.86% strain 

and 1.05% strain.  Localized cracks during initial cracking were observed in 

specimens 1 and 3, but not in specimen 2.  A fairly even distribution of micro 

cracking was observed along the entire lengths of the three specimens 

through the desired 0.5% strain. 
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Figure 3-6: Specimen 1 Actuator Load vs Extensometer Displacement (top) 

and averaged corresponding GFRP Rebar Stress vs Composite Section 

Strain (bottom) 
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Figure 3-7: Specimen 2 Actuator Load vs Extensometer Displacement (top) 

and averaged corresponding GFRP Rebar Stress vs Composite Section 

Strain (bottom) 
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Figure 3-8: Specimen 3 Actuator Load vs Extensometer Displacement (top) 

and averaged corresponding GFRP Rebar Stress vs Composite Section 

Strain (bottom) 
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Figure 3-9: Typical 3” x 3” specimen with multiple micro cracking and one 

localized crack developing (left) and final ruptured HPFRCC section and 

GFRP reinforcement bar (right) 

 

After completion of the three tensile tests until failure, Specimen 4 with a 

#2 GFRP Rebar in the three inch by three inch HPFRCC section, was tested 

under cyclic loading.  The MTS actuator load versus the average 

extensometer displacement and GFRP rebar stress versus the composite 

section strain are shown in Figure 3-10.  Based on the data acquired from 

the results of the first three specimens, the tensile rupture of the GFRP 

reinforcement bars occurred at approximately 6 kips.  It was also observed 

that localization of some of the cracks started to form somewhere beyond 5 

kips of tension in the GFRP reinforcement bar, or approximately 0.7% of 
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strain in the HPFRCC section, therefore, it was determined that 5 kips would 

be the maximum safe initial load to pre-stress and pre-crack the section 

without causing localized cracks.   

 

Specimen 4 was loaded to about 83% of the maximum estimated tensile 

load and reached the 5 kip limit at a displacement of about 0.094 inches, or 

0.39% strain.  The load was then slowly released to measure the permanent 

deformation of the HPFRCC section, which was measured at about 0.031 

inches, or 0.13% strain as shown in Figure 3-10. 
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Figure 3-10: Specimen 4 Actuator Load vs Average Extensometer 

Displacement (top) and corresponding GFRP Rebar Stress vs Composite 

Section Strain under Cyclic Loading (bottom) 
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Based on initial estimates to ensure the HPFRCC section remained within 

the pre-cracked displacement limits, a maximum cyclic displacement of 0.06 

inches, or strain of 0.25% was set.  After cycling of the loads to the preset 

displacements for at least 100 cycles, an elastic hysteresis curve was formed 

with minimal degradation of the forces.   The resultant, maximum tensile load 

induced to reach the set strain was about 4.25 kips as shown in Figure 3-10) 

 

3.4.2 Specimens with #3 GFRP Bars 

 

After the completion of the #2 GFRP reinforcement bar tests, three 

specimens of #3 GFRP reinforcement bars in six inch by three inch HPFRCC 

sections were tested until failure.  The MTS actuator loads versus the 

extensometer displacements are as shown in Figures 3-11, 3-12, and 3-13.  

Similar to test specimens 1 through 3, prior to the tensile rupture of the 

HPFRCC, almost no deflection was observed.  The tensile rupture loads for 

specimens 5, 6, and 7 varied between 6 kips and 8 kips, which calculates to 

about 0.34 ksi to 0.45 ksi of tensile stress in the HPFRCC, respectively.  The 

direct tensile strengths of the HPFRCC were between 29% and 47% lower 

than the estimated values per the AASHTO LRFD formula. 

 

Similar to the three inch by three inch specimens, after the initial cracking 

of the composite sections, relatively low additional loads resulted in fairly 

consistent cracking along the entire lengths of the specimens and some 

minor localized cracks developed in the early stages of the cracking as 
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shown in Figure 3-14.  At approximately 12 kips, or 83% of the tensile 

strength of the GFRP reinforcement bars, localized cracks developed and 

tensile resistance of the HPFRCC was lost as shown in Figure 3-15.  

Rupture of the GFRP reinforcement bars occurred between 1.26% strain 

and 1.36% strain.  Localized cracks during initial cracking were observed in 

one of the specimens.  Other than a few localized cracks, a fairly even 

distribution of micro cracking was observed along the rest of the lengths of 

the three specimens up to 0.8% strain. 
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Figure 3-11: Specimen 5 Actuator Load vs Extensometer Displacement (top) 

and averaged corresponding GFRP Rebar Stress vs Composite Section 

Strain (bottom) 

 



 

44 

 

 

 

Figure 3-12: Specimen 6 Actuator Load vs Extensometer Displacement (top) 

and averaged corresponding GFRP Rebar Stress vs Composite Section 

Strain (bottom) 
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Figure 3-13: Actuator Load vs Extensometer Displacement (top) and 

averaged corresponding GFRP Rebar Stress vs Composite Section Strain 

(bottom) 
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Figure 3-14: 6” x 3” specimens with multiple typical micro cracking on 

surfaces (left and right) 

 

   

Figure 3-15: Typical 6” x 3” specimen with localized cracks forming at higher 

strains (left and right) 
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Figure 3-16: Typical 6” x 3” specimen with multiple localized cracks forming 

at strains close to rupture (left) and typical rupture of the GFRP bar at the 

end of the specimen (right) 

 

After completion of the three six inch by three inch tensile tests until 

failure, three specimens of the #3 GFRP reinforcement bars in the six inch by 

three inch HPFRCC sections, specimens 8, 9, and 10, were tested under 

cyclic loading.  The MTS actuator loads versus the average extensometer 

displacement and GFRP rebar stress versus the composite section strain are 

as shown in Figures 3-17, 3-18, and 3-19.  Based on the data from the 

results of specimens, the GFRP reinforcement bar failures occurred at 

approximately 15 kips.  It was also observed that localization of some of the 

cracks started to form at approximately 12 kips of tension in the GFRP 

reinforcement bar, or approximately 0.8% of strain in the HPFRCC section, 

therefore, it was determined that 11 kips would be the maximum safe initial 

load to pre-stress and pre-crack the section without causing localized cracks.   

 



 

48 

 

Specimens 8 and 9 were initially loaded to 11 kips, which is about 77% of 

the maximum estimated tensile load, and reached the 11 kip load at strains 

of about 0.70% and 0.77%, respectively.  Specimen 10 was initially loaded to 

12 kips, which was about 83% of the maximum estimated tensile load, and 

reached the 12 kip limit at a strain of about 0.86%.  The loads were then 

slowly released to measure the permanent deformations of the HPFRCC 

sections, which were measured between 0.075 inches and 0.090 inches, or 

0.32% strain to 0.37% strain.  The majority of the micro cracks closed back 

up to negligible crack widths while the localized cracks remained visible and 

had gap widths measured up to 0.01” on a crack comparator as shown in 

Figure 3-20. 
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Figure 3-17: Specimen 8 Actuator Load vs Average Extensometer 

Displacement (top) and corresponding GFRP Rebar Stress vs Composite 

Section Strain under Cyclic Loading – 0.40% Cyclic Strain (bottom) 
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Figure 3-18: Specimen 9 Actuator Load vs Average Extensometer 

Displacement (top) and corresponding GFRP Rebar Stress vs Composite 

Section Strain under Cyclic Loading – 0.45% Cyclic Strain (bottom) 
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Figure 3-19: Specimen 10 Actuator Load vs Average Extensometer 

Displacement (top) and corresponding GFRP Rebar Stress vs Composite 

Section Strain under Cyclic Loading – 0.50% Cyclic Strain (bottom) 
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Figure 3-20: Cyclically loaded specimens at unloaded state - Permanent 

deformation due to strain hardening; the micro cracks were barely visible, 

however, localized cracks remain clearly visible at approximately 0.01” wide 

(left and right) 

 

Referring to the previous direct tension test data and the data acquired 

thus far from the released loads, to ensure the HPFRCC sections remained 

within the pre-cracked displacement limits, maximum cyclic displacements of 

0.10 inches, 0.11 inches, and 0.12 inches, or cyclic strains of 0.40%, 0.45%, 

and 0.50%, were set for specimens 8, 9, and 10, respectively.  After cycling 

of the loads to the preset displacements for at least 100 cycles, elastic 

hysteresis curves were formed with minimal degradation of the forces as 

shown in Figures 3-17, 3-18, and 3-19.  The resultant, maximum tensile 

loads induced to reach the set strains were about 10 kips for specimens 8 

and 9 and about 12 kips for specimen 10. 
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3.4.3 Specimen Strain Analysis 

 

Referring to the initial conditions of the specimens before cracks form and 

based on the strain compatibility between the GFRP and HPFRCC cross 

section areas and moduli prior to the tensile rupture of the HPFRCC, the 

HPFRCC contributed 99% of the force and the GFRP reinforcement bar 

contributed the remaining 1% as shown below. 

 

Area of #2 GFRP reinforcement bar:                   

Area of #3 GFRP reinforcement bar:                   

Modulus of Elasticity of GFRP reinforcement bar:              

Area of 3”x3” HPFRCC section:                   

Area of 6”x3” HPFRCC section:                    

Modulus of Elasticity of HPFRCC:                

Gauge length of test specimens:                

 

Fraction of contribution of #2 GFRP reinforcement bar in a 3”x3” section prior 

to initial cracking: 
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Fraction of contribution of HPFRCC in a 3”x3” section prior to initial cracking: 

 

       

             
 

                    

                                           
        

 

Fraction of contribution of #3 GFRP reinforcement bar in a 6”x3” section prior 

to initial cracking: 

 

     

             
 

                      

                                            
        

 

 

Fraction of contribution of HPFRCC in a 6”x3” HPFRCC section prior to initial 

cracking: 

 

       

             
 

                     

                                            
        

 

The actual stresses within the HPFRCC and GFRP reinforcement bar 

after the initial cracking are unknown as they would be difficult to calculate 

until a localized crack was formed eliminating the fiber bridging and resulting 

in a load path through only the GFRP reinforcement bar. 
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Converting the load versus displacement plots into a stress versus strain 

plots as shown in Figures 3-6 through 3-8 and 3-10 through 3-12 were 

merely to calculate equivalent, resultant strains of the specimen’s composite 

sections.  The stresses represented in the plots accurately reflect the 

stresses at ends of the specimens where the sections are only of the GFRP 

reinforcement bars.  As stated above, due to the desired cracking, de-

bonding, and fiber bridging effects, stress contributions of the GFRP and 

HPFRCC within the composite sections cannot be accurately calculated.  

When comparing the expected strains from the GFRP reinforcement bars 

alone as shown in Figure 2-5, the strains in all of the test specimens showed 

that the HPFRCC did maintain some tensile resistance throughout the entire 

loadings until failure.  The locations of rupture of the GFRP reinforcement 

bars had localized cracks which prevented the HPFRCC from contributing 

tensile forces.  The widths of the localized cracks were also indicative of the 

lengths of the de-bonded sections of the GFRP reinforcement bars on both 

ends of the cracks. 

 

After loading and unloading specimens 4, 8, 9, and 10, the resultant, 

permanent deformations of the HPFRCC sections were measured at about 

0.031 inches, 0.078 inches, 0.075 inches, and 0.090 inches, or strains of 

0.13%, 0.32%, 0.31%, and 0.37%, respectively.  The permanent 

deformations were probably caused by the fiber’s de-bonding and elongation 

which then caused buckling of the loose fibers over the bridged cracks when 
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the tension was reduced.  For the specimens to be at 0 kips of load and 

permanently elongated at their new equilibrium states would require, by 

strain compatibility, that the GFRP reinforcement bars be in tension and 

HPFRCC sections be in compression.  The calculations below show the 

residual forces and compressive stresses in the HPFRCC. 

 

Residual, internal tensile force of the #2 GFRP reinforcement bar and 

compressive force of the HPFRCC section in specimen 4 after initial cracking 

and unloading of the MTS actuator: 

 

    
       

 
 

                                    

           
            

 

Residual, internal compressive stress of the HPFRCC section in specimen 4 

after initial cracking and unloading of the MTS actuator: 

 

    
   

     
 

            

          
           

 

 

 

 



 

57 

 

Residual, internal tensile force of the #3 GFRP reinforcement bars and 

compressive force of the HPFRCC sections in specimens 8, 9, and 10 after 

initial cracking and unloading of the MTS actuator were, respectively: 

 

    
       

 
 

                                    

           
            

 

    
       

 
 

                                    

           
            

 

     
        

 
 

                                    

           
            

 

Residual, internal compressive stresses of the HPFRCC sections in 

specimens 8, 9, 10 after initial cracking and unloading of the MTS actuator: 
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3.5  Discussion 

 

After completing all of the small scale tests, it was determined that the 

HPFRCC could be elongated up to 0.5% strain while maintaining uniform 

micro-cracking.  The small scale tests did exhibit some premature localized 

cracking probably due to the lower construction tolerances and resultant 

internal eccentricities and partial de-bonding along the GFRP reinforcement 

bar in the HPFRCC.  Performing a full scale slab test with a wider slab 

section and a continuously supported faying surface may help to reduce or 

possibly eliminate the localized cracks that developed in the small scale 

specimens. 

 

The HPFRCC’s high durability was observed after the completion of the 

cyclic loading, showing almost no signs of deterioration beyond the initial 

induced cracks.  The results also revealed the varying resultant equilibrium 

strains after the initial cracking stage.  The small scale specimens were only 

intended to be loaded in tension and could not be recompressed to 

determine the compressive strains as the end connections may have 

buckled.  A full slab test would be able to recompress the link slab while 

accurately measuring the strains and corresponding forces.  From the post-

cracked equilibrium state and resultant strain, it is believed that the link slab 

would probably only be able to recompress at a rate as typical concrete 

would, with a modulus of elasticity 3,691 ksi, as calculated.  Should that be 
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the case, the resultant link slab would never be able to return to its original 

length. 
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4 Full Scale Test 

 

4.1  Approach 

 

After the completion and analysis of the small scale experiments, the 

design of a full scale mock bridge expansion joint was done using the Lihue 

Mill Bridge dimensions and requirements as the basis for the design as 

shown in Figure 4-1. 

 

Based on the various girder end connections at the abutments and bents, 

the design expansion lengths are as follows; Abutment 1, Bent 2, Bent 4, and 

Abutment 2 are 0 feet, Bent 1 is 64 feet, Bent 3 is 225 feet, and Bent 5 is 16 

feet.  Abutments 1 and 2 and Bents 2 and 4 need not be designed for 

thermal expansion and contraction, however, with the location of the anchor 

rods ‘pinning’ the girders to the bents at the bottom flanges, the resultant 

rotation at the ends of the girders from live load deflections within the beam 

spans causes some minor longitudinal movement at the concrete deck 

elevation. 

 

Referring to the AASHTO LRFD Bridge Design Specifications sections 

5.4.2.2 and 6.4.1, the thermal coefficient of expansion for concrete and steel 

may be taken as            and            inch per inch per degree 

Fahrenheit.  Based on the State of Hawaii Department of Transportation 



 

61 

 

Design Criteria for Bridges and Structures, March 1, 2013, section 2.06, 

concrete super structures shall be designed using (Article 3.12.2.2) 

Procedure B with a temperature range of 60 degrees Fahrenheit with a 

minimum and maximum temperature of 40 and 100 degrees Fahrenheit, 

respectively.  The thermal coefficient of expansion for steel shall be used to 

be conservative, instead of performing a strain compatibility with concrete, 

since the difference in expansion is minimal. 
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Figure 4-1: Lihue Mill Bridge - Plan and Sections 
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Using the AASHTO LRFD Bridge Design Specifications formula 3.12.2.3-

1, the design thermal movement range,   , for the various expansion joints 

are as follows: 

 

                                                                     

 

                                                                      

 

                                                                     

 

Based on the initial estimates and the results from the small scale tests for 

cyclic strains of up to 0.50%, the minimum required link slab lengths were 

calculated to be: 
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The calculated link slab length of 17.5 feet for Bent 3 was not possible if a 

test specimen was to conform within the allotted space in the structures lab 

therefore, it was removed from the testing schedule.  The design requirement 

for Bent 5 was less than that of the small scale test specimens and was also 

removed from the testing schedule.  The only remaining option to design a 

full scale test specimen was for Bent 1 with a minimum link slab design 

length of 59.9 inches. 

 

The steel girders are not composite with the concrete deck thereby 

allowing higher deflections to occur under vehicle live loads.  Taking the 

vehicle live load deflections at service load combinations into account, there 

is additional elongation induced at the expansion joint.  With the two adjacent 

spans, Span 1 and Span 2 being simply supported and free to rotate about 

the support located at the bottom of the girder bearing plate, the link slab 

must also be able to accommodate some flexure in the negative direction as 

well.  To calculate the additional elongation in the expansion joint, first, the 

live load deflections and end rotations were calculated. 

 

Per the AASHTO LRFD Bridge Design Specifications sections 3.6.1.2.2 

and 3.6.1.2.3, the design trucks and design tandem moving loads were 

placed on the W36x194 girders of Span 1 and on the W36x150 girders of 

Span 2 in a structural analysis program.  The cumulative rotations of the 

ends of the girders in spans 1 and 2 were 0.001 radians or about 0.06 
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degrees.  Adding the heights of the 1.75 inch thick sole plates, 36.5 inch tall 

girders, and 9 inch thick concrete deck slabs, the total height from the bottom 

of the sole plate, about which the girder rotates, to the top of the deck slab is 

47.25 inches. 

 

With the total height of the superstructure multiplied by the radians of 

rotation, the approximate additional amount of elongation of the joint required 

was calculated to be 0.05 inches.  For the link slab to accommodate the 

additional elongation, the increase length required was found to be: 

 

                
           

     
              

 

Adding the minimum required link slab lengths for temperature and live 

load deflection, the total minimum required link slab length for Bent 1 was 

calculated to be: 

 

                                          

 

After calculating the minimum required link slab length a full scale test 

specimen was designed as shown in Figure 4-2.  The full scale test 

specimen consisted of two wide flange beams spaced at 4 feet with a 16 foot 

long by 7.5 foot wide by 9 inch thick concrete deck above.  A link slab with a 
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total length of 8 feet and an effective extendable length of 6 feet was used for 

the joint design. 

 

The bent end connection and joint properties for the girders were 

replicated by creating a two span specimen, one span being restricted from 

vertical movement at both ends and the other span being restricted from 

vertical movement at the joint end and the other end free and allowed to 

translate vertically, rotating about the joint end as shown in Figure 4-2. 
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Figure 4-2: Full Scale Specimen and Testing Frame 
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The first span was about 10 feet long and anchored at both ends to the 2 

foot thick reinforced concrete strong floor to restrict the vertical movement.  

The non-jointed end was anchored by sandwiching the girders between a 

concrete block and a double wide flange beam and locked in place with three 

1-1/2 inch diameter anchor rods and nuts as shown in Figure 4-3.  The 

jointed end of the first span was constructed by welding the bottom flanges of 

the two wide flange beams and stiffener plates to a W8x wide flange beam, 

on its side, seated on the floor below as shown in Figure 4-4.  The W8x wide 

flange beam was anchored to the strong floor with 1-1/2 inch diameter 

anchor rods and nuts. 

 

 

Figure 4-3: Full Scale Specimen First Girder Span Restraints 
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To create the ‘pin’ effect for the two spans, the wide flange beams were 

separated at the top flanges and the webs, only leaving the bottom flanges in 

intact, thus leaving the joint to rotate about the center of the bottom flange at 

the center of the cut-out section as shown in Figure 4-4. 

 

 

Figure 4-4: Full Scale Specimen Pin Connection 

 

The second span was about 14 feet long and was connected to the joint 

by the remaining bottom flange section.  The free ends of the two girders 

were connected by a W18x35 diaphragm to which a clevis pin and the load 

actuator could be attached as shown in Figure 4-5.  As the actuator moved 

down, or provided a compressive force, it would induce tension in the link 
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slab and the GFRP bars, and as the actuator moved up, or provided a tensile 

force, it would induce compression in the link slab HPFRCC. 

 

   

Figure 4-5: Full Scale Specimen Actuator Connection 

 

The wide flange beams consisted of a W24x76 section and a W24x84 

section that were both 24 feet long.  The reason for the different section sizes 

being used was that they were the only beams readily available in the lab at 

the time.  The differences in the girders, regarding their stiffness properties 

for the testing purposes were negligible; however, the height and flange 

thickness differences had to be addressed as the W24x76 and W24x84 

girders were 23.9 inches and 24.1 inches high and had flange thicknesses of 

0.68 inches and 0.77 inches, respectively.  To account for the difference in 

height, a 0.2 inch high haunch was created above the W24x76 girder.  

Addressing the difference in flange thickness, the top face of the bottom 

flange of the W24x84 girder was ground down by 0.09 inches to match that 

of the W24x76 girder’s bottom flange properties. 
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The 9 inch thick concrete decks were attached to the steel girders using 

two rows of ¾ inch diameter, 4 inch long nelson studs welded to the top 

flanges of the girders.  The headed studs were designed to accept all of the 

shear forces induced by the axial compression and tensile forces of the link 

slab.  The concrete deck had #4 top and bottom, transverse steel 

reinforcement bars spaced at 6 inches on center and #4 top and bottom, 

longitudinal steel reinforcement bars spaced at 12 inches on center.  The 

concrete deck sections were poured with sections blocked out to 

accommodate the link slab and embedded fifteen, 12 foot long sections of #3 

GFRP reinforcement bars spaced at 6 inches on center.  The #3 bars were 

used instead of the #2 bars for field practicality and durability.  This order of 

construction would only be applicable to either new construction or a major 

rehabilitation of the deck.  A 2 inch wide separation in the concrete decks 

that ran the full width of the specimen was added, further simulating the joint 

between bridge spans.  The ends of the GFRP bars were embedded 2 feet 

into the concrete deck and the bars were centered at 1-1/2 inches from the 

top of the deck as shown in Figure 4-6. 
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Figure 4-6: Full Scale Specimen Reinforcement Layout – Deck 

Reinforcement Plan (top) and Photos (bottom) 

 

According to the State of Hawaii Department of Transportation Design 

Criteria for Bridges and Structures, March 1, 2013, section 2.13, the 

minimum cover for the top deck slab reinforcing steel measured 

perpendicular to the concrete surface is 2.5 inches and contradicts the 

location and setting of the GFRP bars.  As the GFRP bars are not steel and 
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therefore non-corrosive, this should not apply.  It should be noted, however, 

that it is the original intent of that section to supply the additional cover for 

future possibilities of scarifying the top of the slab to prepare for resurfacing 

of the deck. 

 

The link slab was 7.5 feet wide by 8 feet long by 3 inches thick and was 

embedded into the mock concrete deck with fifteen, #3 GFRP reinforcement 

bars.  Distribution reinforcement was not required as the link slab was not the 

structural supporting element in the transverse direction but was placed in 

the slab in order to determine if crack propagation may occur.  Victor Li et al. 

(2003) observed that doweling alone would not prevent crack localization at 

the end of the link slabs, therefore, hairpin shaped, hooked #3 steel 

reinforcing bars were placed within the 1 foot ends of the link slabs to anchor 

the link slab to the concrete deck and provide a theoretical fixed end 

condition in the axis parallel to the cross beams and diaphragms and reduce 

potential for buckling under compression.  The steel reinforcing would 

theoretically be replaced with either stainless steel reinforcing or 

prefabricated GFRP reinforcing.  The concrete deck surfaces were 

intentionally undulated and roughened within the 1 foot ends to create a 

better shear interface between the HPFRCC and concrete deck which would, 

theoretically, limit the locations for potential cracking and rupture of the 

GFRP bars to within the middle, unbonded, 6 feet of the link slab.  The 

remaining, middle 6 feet of the concrete deck, where the link slab was to be 



 

74 

 

placed, was lined with two layers of 1/16 inch thick sheets of plexiglass to 

allow for smooth faying surfaces between the HPFRCC and concrete deck 

below as well as for forming purposes over the 2 inch gap between concrete 

decks. 

 

   

Figure 4-7: Full Scale Specimen Link Slab Reinforcement Layout 

 

Adding the heights of all of the various components, the distance from the 

center of the bottom flanges of the girders to the top surface of the link slab 

was calculated to be 32.76 inches.  For the 6 foot long link slab specimen to 

be elongated by 0.5% strain, the increased length was calculated to be 0.36 

inches.  The rotation that the test specimen would have to accommodate was 

calculated to be: 

 

     
           

            
                            

 

Due to the differing geometry of the test specimen, the axial deformation 

in the link slab could not be induced without flexural deformation.  It was 
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determined that the link should be able to accommodate the additional 

induced rotation and flexural forces as well to be considered as a suitable 

replacement for bridge joints to account for field irregularities and 

construction tolerances.  When comparing the lengths of the horizontal lever 

arm from the load actuator to the joint to the vertical lever arm of the steel 

girder, deck slab, and link slab, there was a 4.894 to 1 ratio as shown in 

Figure 4-8. 

 

 

Figure 4-8: Lever Arm Lengths for Force Adjustment 
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Figure 4-9: Full Scale Specimen – Completed 

 

4.2  Measurement Devices 

 

Eight linear variable displacement transducers (LVDT) and the load 

actuator were used to measure the various displacements and forces in the 

various components of the test specimen and the link slab as shown in 

Figure 4-10. 

 

In order to measure the overall slab elongation and effectiveness of the 

shear interface and the hooked bars in the bonded zone, two sets of 

measuring devices with LVDTs were placed atop the link slab at differing 

locations as shown in Figure 4-11.  The measuring devices were constructed 

by drilling and epoxying 3/8 inch diameter threaded rods at one point of 
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measurement and epoxying an LVDT directly to the HPFRCC link slab or 

concrete surface at the opposite point of measurement.  An extension 

constructed out of ¾ inch by 1-1/2 inch steel tubes spanned over the link 

slab, hovering by 1-1/2 inches to not interfere with the induced curvature, and 

met the LVDT with an end plate.  The calculated vertical deformation of the 

link slab at 0.5% strain was about 0.5 inches, causing the link slab to bow 

upwards towards the steel tubing by approximately 0.25 inches at the joint.  

The difference between the actual displacement of the curved HPFRCC 

surface versus the measured displacement with the straight suspended steel 

tubing was negligible.  The tubes were fixed in place by the threaded anchors 

at one end and were placed in U-shaped tracks on the other end, free to 

slide.  Any additional deformation in the measurement of the LVDTs due to 

the axial deformation of the steel tubes, slop in the threaded anchor, and 

bending in the end plate were neglected as the forces from the LVDT on the 

extension assembly were extremely small. 
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Figure 4-10: Sensor Layout 
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Figure 4-11: LVDTs atop link slab measuring deformation over full length and 

unbonded length 

 

 

Figure 4-12: LVDTs at mid-depth of concrete deck and at mid-depth of the 

overall composite section 
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Two sets of the measurement devices were placed 4.25 feet apart and 

measured deformation between the ends of the 6 foot long unbonded section 

of the link slab.  To ensure that the 1 foot ends in the bonded zones were 

effective, another set of measurement devices were placed 3.75 feet apart 

and at the ends of the link slab spanning over the construction joints, 

measuring the total 8 foot long link slab section.  If there was no movement in 

the bonded sections, the measurements of both sets of LVDTs should’ve 

produced the same results.  Differences in measurements would indicate the 

extent of movement in the 1 foot bonded sections at each end of the link 

slab. 

 

The third set of LVDTs measured the displacement of the expansion joint 

in the concrete deck slab at mid-depth to determine the opening of the 

expansion joint.  The last set of LVDTs was placed on the girder webs to 

verify full shear engagement of the headed studs between the concrete deck 

and steel girders as shown in Figure 4-12.  The measured displacements 

would have to be scaled up and normalized based on their effective lever 

arms to match the expected displacements at the top of the deck elevation. 

 

Lastly, four strain gauges were placed on the top and bottom flanges of 

the girders near the end of the deck slab to verify the load distribution from 

the actuator on each girder as shown in Figure 4-13. 
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Figure 4-13: Strain gauges on the top and bottom girder flanges 
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Measuring Device 
Abbreviation 

Description 

ECC1 Measures the change in length from the extreme 
ends of the link slab at Girder 1. If different than 
UNB1, displacement is not limited to within the 
unbonded section. (8'-0" long) 

ECC2 Similar to ECC1, except at Girder 2. 

UNB1 Measures the change in length within the 
unbonded section at Girder 1.  If similar to ECC1, 
the link slab bonded zones are effective. (6'-0" 
long) 

UNB2 Similar to UNB1, except at Girder 2. 

GAP1 Measures the displacement of the gap in concrete 
deck on Girder 1 side. 

GAP2 Similar to GAP1, except on Girder 2 side. 

STL1 Measures the displacement of the gap in the steel 
girder at Girder 1. Factored comparison with 
GAP1 and determines the effectiveness of the 
headed studs in shear and verifies that no slip has 
occurred between the concrete slab and the steel 
girder. 

STL2 Similar to STL1, except at Girder 2. 

B1T Measures the strain on the top flange of Girder 1. 
Used to verify equal loading on both girders. 

B2T Similar to B1T, except at Girder 2. 

B1B Measures the strain on the bottom flange of Girder 
1. Used to verify equal loading on both girders 

B2B Similar to B1B, except at Girder 2. 

 

Table 2: Measuring Device Abbreviations and Descriptions 
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4.3  Objective 

 

The objective of the full scale specimen was to determine if the link slab 

could be implemented on actual bridges such as the Lihue Mill Bridge.  The 

reduction and possible elimination of the localized cracks due to internal 

eccentricities with a significantly wider slab section and the better bonding 

with longer GFRP bar end embedment would also be observed.  The 

durability of the link slab would then be determined by subjecting it to cyclic 

loading.  If the link slab were to display uniform micro cracking without any 

localized cracks at strains of up to 0.5% and after cyclic loading, the 

possibility of further pushing the strain limits of the link slab would be 

considered. 

 

4.4  Analysis 

 

Upon initializing the test for the full scale specimen, the dead load of the 

second span had to be accounted for, therefore, the actuator was loaded with 

about 4 kips of tension.  This allowed the testing to begin with almost no 

stress or strain in the link slab.  As the loading commenced, a slight 

displacement was observed as the actuator’s force changed from tension to 

compression as shown in Figure 4-14.  This was most likely due to slip in the 

actuator clevis pin connection. Loading continued, pausing at intermediate 
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points to observe the various degrees of crack openings, with the first pause 

being just after initial rupture of the HPFRCC. 

 

At approximately 18 kips of load on the actuator (22 kips when including 

the self-weight of the second span), the HPFRCC ruptured displaying a fairly 

distinct change in slope as shown in Figure 4-14.  The estimated tensile force 

through the centroid of the link slab was about 108 kips which equated to a 

stress of about 0.40 ksi in the HPFRCC as shown in Figures 4-15 and 4-17, 

respectively.  The direct tensile strength of the HPFRCC was 63% of the 

estimated value per the AASHTO LRFD formula. 
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Figure 4-14: Actuator Load versus Actuator Displacement 

Initial Loading (top) and Cyclic Loading (bottom) 
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To reach a strain of 0.5% in the link slab, the total displacement for the 6 

foot long unbonded section was calculated to be 0.36 inches and the gap 

displacement was calculated to be 0.31 inches.  The gap measurement was 

used to determine the point at which the link slab would reach 0.5% strain 

and where the actuator should stop loading due to its independent, relatively 

non-deformable location.  Once the gap displacement was reached, the load 

on the link slab was reversed in an attempt to reach the original displacement 

at the start of the test.  The actuator was able to reach its original location at 

about 22 kips of tension, however, as shown in  Figures 4-15 through 4-17, 

the displacements and strains measured in the extensometers at the top of 

the deck, measuring the bonded and unbonded link slab lengths, did not 

reach their original displacements and strains.  This was probably due to the 

micro cracks not being able to completely close. 

 

Under tensile loading, prior to rupture of the HPFRCC, the majority of the 

tensile forces are taken up by the HPFRCC.  Once rupture has occurred, the 

tensile forces transfer only through the GFRP rebar and the crack bridging 

fibers.  The uncracked and unruptured sections of the HPFRCC between the 

microcracks, the tensile forces are still shared between the HPFRCC and the 

GFRP rebar.  Along this section of the stress curve, the majority of the tensile 

stresses should be represented by the GFRP rebar.  Upon recompression of 

the link slab, the stress curve resembles the slope prior to tensile rupture, 

which also matches the modulus of elasticity of the HPFRCC.  This section of 
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the graph represents mostly the compression of the HPFRCC with the GFRP 

rebar contributing almost nothing.  The observational data appears to be the 

more relevant piece of data. 

 

After numerous cycles at full strain, only a slight strength degradation of 

the link slab was observed.  These results were similar to the small scale 

specimens.  Although there was minor strength degradation, there was no 

additional crack localization or propagation observed upon close visual 

inspection. 
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Figure 4-15: Link Slab Axial Load versus Extensometer Displacement 

Initial Loading (top) and Cyclic Loading (bottom) 
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Figure 4-16: GFRP Rebar Stress versus Composite Section Strain 

Initial Loading (top) and Cyclic Loading (bottom) 
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Figure 4-17: Stress versus Strain 

Initial Loading (top) and Cyclic Loading (bottom) 
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If it was assumed that the 1 foot long bonded zones at the ends of the link 

slab did not deform, the bonded and unbonded displacement measurements 

atop the slab should theoretically match, however, if the bonded zones did not 

have sufficient engagement at the shear interface, the extensometers 

measuring the link slab including the bonded zone should have been smaller.  

As shown in Figures 4-15 through 4-17, there is a relatively tight grouping of 

the four extensometer readings with the two extensometer readings spanning 

the 6 foot unbonded zone almost matching and reaching the 0.5% strain.  

There may have been a combination of some binding or misalignment issues 

causing the 8 foot long bonded measurements to be greater than the 

unbonded measurements.  Localized cracks measuring up to 0.15 mm were 

observed at the bond to unbonded zone transitions and up to 0.30 mm at the 

construction joints at the ends of the bonded zones as shown in Figures 4-18 

and 4-19. 

 

Shortly after tensile rupture of the HPFRCC was reached, localized 

horizontal and diagonal cracks started forming along top surface and edges 

of the link slab as shown in Figures 4-20 and 4-21.  The diagonal cracks 

were probably caused by the shear lag at the edges of the link slab.  

Microcracks were observed throughout the span, however, the crack spacing 

and widths were larger than those observed in the small scale specimens.  

Upon reaching the target 0.5% strain, larger localized cracks were observed, 

some reaching up to 1.50 mm in width. 
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Figure 4-18: Localized cracks measuring up to 0.15 mm were observed at 

the bonded to unbonded zone transitions (left and right) 

 

   

Figure 4-19: Localized cracks measuring up to 0.30 mm were observed at 

the construction joints at the ends of the bonded zones (left and right) 
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Figure 4-20: Localized diagonal cracks were observed near the transition 

zone edges (left and right) 

 

   

Figure 4-21: Localized cracks measuring up to 0.30 mm were observed 

along the edges (left and right) 
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4.5  Discussion 

 

After performing the initial cracking and cyclic test of the full scale 

specimen, the majority of the micro cracks developed within the unbonded 

section as intended.  Localized cracks propagated but were smaller than 

those observed in the small scale test specimens.  This was probably due to 

the reduction of the internal eccentricities of the overall section. 

 

The roughened shear interface between the concrete and the HPFRCC 

was sufficient to resist any slippage and the #3 hairpins prevented the ends 

of the link slab from any vertical movement or uplift.  Upon reaching the 0.5% 

strain, many of the micro cracks localized, specifically at the areas where the 

bonded zone transitioned into the unbonded zone and along the slab edges.  

This may have been due to the shear lag between the GFRP bar and the 

HPFRCC bond to the concrete deck and the edge.  As the HPFRCC was 

being elongated at the same rate as the GFRP bar, there was slight 

debonding between the two materials throughout the span causing the 

microcracking, as expected.  However, at the transition locations, the 

HPFRCC was restricted from local movement and any deformation within the 

bonded zone leaving no strains or stresses in the section whereas the GFRP 

bar did take the induced tensile stresses and strained accordingly.  The 

amount of force developed, and resulting strain, in the GFRP bar within the 

bonded zones were higher than the shear resistance of the GFRP bar to 
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HPFRCC interface.  This resulted in the GFRP bar debonding from the 

HPFRCC over a longer section, thus causing wider localized cracks.  The 

undulated surfaces in the bonded zone left numerous acute depressions in 

the HPFRCC, possibly allowing crack propagation to initiate sooner.   The 

elongation of the unbonded section closely matched the gap displacement, 

when normalized, throughout the testing up to the 0.5% strain.  There was 

some minor deformation at the contruction joint between the end of the link 

slab and the concrete deck probably caused by the rotational deformation. 

 

As the link slab underwent compression, the strain capacity was observed 

to be that of typical concrete’s modulus of elasticity.  The deformation is 

primarily caused by the polyethylene fibers debonding, loosening, and 

disengaging while developing the microcracks under tensile strains and 

when subjected to compressive strains, the fibers dislodge and buckle within 

the cracks and extra material added between the crack’s faying surfaces 

prevent the cracks from completely closing. 
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5 Conclusions/Recommendations 

 

 The cast-in-place link slab was able to efficiently transfer the loads from 

the GFRP bars to the reinforced concrete deck and could be easily cast 

flush with the top of the bridge deck.  As a retrofit, there would be some 

labor removing the area of concrete to place the link slab and the concrete 

deck below would have to follow the required AASHTO requirements for 

minimum thickness and other various design requirements. 

 

 One of the drawbacks to using the cast-in-place link slab as tested would 

be that the permanent elongated deformations and additional induced 

forces would have to be accounted for in the bridge’s design which would 

be extremely difficult, especially for bridges with multiple, long spans.  In 

addition to the permanent deformations, there is almost no compression 

strain capacity if required due to the cast-in-place section being 

continuously linked to the concrete deck.  In the case of Lihue Mill Bridge, 

the link slabs should probably be limited to only some of the joints where 

the permanent deformations can be addressed at conventional 

mechanical expansion joints.  This would still be an effective solution in 

reducing the amount of deterioration for the overall bridge. 

 

 The other aspect under consideration would be the forces required to 

produce tensile strains in the link slabs of up to 0.5%. Should the link 
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slabs be installed from abutment to abutment, the abutments would have 

to be designed to resist all of the inward lateral forces caused by the link 

slabs or be allowed to deform themselves.  If it’s the latter, an integral 

abutment design would be better suited. 

 

 The HPFRCC requires longer setting and curing times than typical 

concrete, due to the high amounts of fly ash, to reach serviceable levels of 

strength for use.  It may not be practical to be used on an active bridge in 

either staged construction or as a retrofit. 

 

 In an effort to reduce crack localization, further investigation of different 

HPFRCC mix designs as well as different types of GFRP bars is 

recommended.  The Aslan 100 GFRP bars that were used for the study 

had a spiral rope design with a roughened, textured surface similar to that 

of 80 grit sand paper.  Further study with a different type of GFRP bar 

profile, similar to that of typical steel reinforcing bars, may provide more 

consistent test results.  The bond strength between the HPFRCC and the 

GFRP bars may be increased with the deeper ridges and crack 

propagation may occur at a more consistent spacing at the ridges. 

 

 Reducing the localized cracks that formed at the transition between 

bonded and unbonded zones in the full scale specimen may be addressed 

by using different GFRP bars as previously state or by possibly adding 
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additional GFRP reinforcing bars that were to span the transition zone and 

terminate locations within the effective unbonded span.  This may 

propagate localized cracks elsewhere and increase the required forces but 

the cracks can be minimized through creative staggering and lap splicing. 

 

 The current recommendation for the application of the link slabs would not 

be for typical expansion joints at this time but be extended to bents 2 and 

4 of the Lihue Mill Bridge where the steel girder bent caps are connected 

by angles to the main girders on adjacent spans, creating a double pin 

connection and a situation quite similar to the full scale test performed.  

The orientation and requirements of the joint would better fit the abilities of 

the link slab because the forces and deformations required to overcome 

the limited strains in both tension and compression could be 

accomplished. 

 

 Precasting link slabs and pre-straining them so that they can be installed 

onto a bridge in their permanently deformed state could be a productive 

path for this research to continue.  Link slabs that are precast in sections, 

tensioned to the maximum design strains and released to their 

permanently elongated states, it would allow for some compressive 

deformations as well as the tensile deformations.  The applications of that 

type of construction method would be more applicable to the expansion 
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joints required at Lihue Mill Bridge’s bents 1, 3, and 5 and at the 

abutments. 

 

 Another important drawback of the debonded link slab is the potential for 

water to penetrate into the debonded gap and induce large bursting 

pressures under vehicle loading.  This was a concern for the bridge 

engineers observing the test. 
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